substantially decreased due to nonlinear behavior of the building, which generally occurs
under high intensity ground motions.

However, unlike the linear system, describing the effectiveness of TMD using peak
response reduction of the nonlinear structures alone seems insufficient [8]. Obviously, this
measure cannot account for the effects of accumulated damage due to low cycle fatigue.
That is of particular importance for the seismic application where the structure may
experience a significant number of nonlinear vibration cycles. Therefore, in such
circumstances, TMD is expected to effectively reduce not only the peak response of the
structure but also the induced-damage of the structure.

| In this study, damage reduction is proposed as an indicator to evaluate seismic
effectiveness of TMD with inelastic structures. A 20-storey reinforced concrete building is
modeled by an equivalent inelastic single-degree-of-freedom system. The numerical
stmulations of the building with and without TMD attached on top are performed. Two
records of ground motion characterized by a harmonic and a distant earthquake are
examined. The inelastic behavior of the structure is introduced by increasing the peak
ground acceleration of ground motions. By considering the vanation of the energy
dissipation in the structure, the TMD’s control characteristic and its inability to control high
intensity ground motion as found in the literature are explained. Since the structure is
excited in the inelastic range, the damage is quantified employing the well-accepted damage
index [9]. By comparing the induced-damage indices for the structure with and without

TMD, the effectiveness of TMD can be evaluated and explained.
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2. An example reinforced concrete building

In this study, a 20-story reinforced concrete office building 1s considered. The plan and
elevation of the building is shown in Fig. 1. The building utilizes a structural system with
morment-resisting frames in the longitudinal direction and a coupled moment-resisting frame-
shear wall system in the transverse direction. The building is designed only for gravity and
wind loads for Thailand with non-ductile reinforcement details. A uniformly distributed live
load of 2,500 N/m? and a maximum wind pressure of approximately 1,400 N/m® are
employed. Compressive strength of concrete of 30 MPa and yield strength of reinforcement
of 40 MPa are used. The cross-sections of the shear walls and beams are 0.30x8.00 m and
0.30x0.60 m, respectively, while the dimensions of the columns vary from 0.95x0.95 m at
the first floor to 0.45x0.45 m at the roof floor. The program IDARC [10] is used to model
the structure. The fundamental period of the structure, determined from analysis in the
transverse direction, is found to be 2.13 seconds. Pushover analysis using an inverted
triangular load is also performed. Fig. 2 plots the roof displacement of the structure against
the base shear of the structure. It should be noted that response due to designed wind load is

well within the elastic range of the curve.

3. An equivalent inelastic SDOF

The 20-story building outlined in previous section is modeled by an equivalent inelastic
single-degree-of-freedom (SDOF) system. The nonlinear pushover characteristics of the
building are ascertained and then its load-deformation characteristic is replaced by the

elastic-perfectly plastic behavior of the SDOF system. Although there exist many
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formulations in the literatures for selection of the equivalent inelastic SDOF, the formulation
proposed by Fajfar and Fischinger [11] is adopted in this study.
The equation of motion that governs the response of the structure when subjected to

ground excitation can be expressed as

Mii(f) + Ca(f) + Q(¢) = -MrZ, (¢) (1)
where
Mand C are, respectively, the mass and damping matrices of the structure;
ii(r) and u(¢r) are, respectively, the acceleration and velocity vectors of the structure
relative to the ground;
Q(f) 1s the storey restoring force vector of the structure;

r is the influence coefficient vector which represents the displacement vector, u(?),

resulting from a unit support displacement and
X (t) is the acceleration of the input ground motion.
The base shear force of the structure is determined from F(f) = {1}7Q(®).

Using the transformation of the roof displacement of the structure, u*(?), to the

displacement of the SDOF, x(?), by

OTMD
d*'Mr

x(t) = u* (1) (2)

in which @ is the assumed shape vector of the structure normalized with respect to u*(?),

the above equation of motion of the structure, Eq. (1), can be rewritten as
mi(t) + cx(t) + q(f) = —m¥, (¥) (3)

where
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m=®"Mr isan equivalent mass;

C___cpTC(p.@_[

OTMD is an equivalent damping;

q(t) = @ Q(?) is an equivalent restoring force and
¥(f) and x%(r) are the acceleration and the velocity of the equivalent SDOF.

Based on the load-displacement relationship of the structure obtained from pushover
analysis with an inverted-triangle load distribution as shown in Fig. 2, the corresponding
properties of the equivalent elastic-perfectly plastic SDOF previously mentioned can be

computed as listed in Table 1 and plotted as the dotted-line in the same figure.

4. Earthquake ground motions

Two different ground motions, characterized by harmonic acceleration and distant
earthquake acceleration, are erﬁployed as the input ground motions. Both are scaled to have
various peak ground accelerations (PGA) in order to study the influence of the degree of
inelasticity in the structure on the effectiveness of TMD. Harmonic ground motion is
generated for 50 seconds from a constant amplitude sine wave with the same period as that
of the structure, while the acceleration record at the SCT station of the 1985 Mexico City
earthquake is used to represent distant earthquake ground motion. The dominant period of
this acceleration record is very close to that of the structure. These intentionally lead to
extreme conditions where the structure vibrates in resonance with the excitations and
consequently TMD is expected to be effective for suppression of both displacement and

energy of the structure.
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5. Damage quantification
For earthquake excitation, it is generally necessary to permit some degree of induced-
damage in the structure, otherwise the design would be too costly. However, the damage
should be kept below a certain amount in order to avoid collapse.

To investigate the effectiveness of TMD in reducing damage to the structure induced
by ground excitation, the damage index as suggested by Park et al. [9] is adopted for the

system Eq. (1), which can be globally described by

* dE
DI:u'l'+/5'——'[. )
u, uuVy

where
u, and wu, are the maximum and the ultimate displacements of the structure at roof,
respectively;

IdE is the cumulative hysteresis energy of the structure;

V, is the base shear at yielding of the structure and
[ is the strength deterioration parameter (= 0.27 by Ciampoli, et al. [12]).

This damage equation accounts for damage due to maximum inelastic displacement,
as well as damage due to cumulative low-cycle fatigue. The value of DI can vary from 0 to

1.0, which corresponds respectively to the damage level of the structure from no damage to

collapse [13].
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6. Structure with tuned mass damper (TMD)

A TMD is installed on top of the structure to reduce the displacement and the damage
induced by ground excitations. For computational convenience, the equivalent inelastic
SDOF obtained in Section 3 is employed to represent the 20-story R/C building as outlined
in Section 2. Thus the equations of motion describing the structure-TMD interaction can be
stmply expressed by

mx(t) + cx(t) + q(t) = —mi (1) + ¢, 2(8) + ke (1) (5)

and mp E(0) + ¢, () + ke 2(t) = —my [ %, (6) + %(2) | (6)
where -

my,, ¢, and k. are the mass, damping, and stiffness of the TMD, respectively;

and Z(7), z(t), and z(r) are the relative acceleration, velocity and displacement of the TMD.

In the following numerical investigation, a mass ratio of 1.40%, corresponding to an
effective mass ratio of 0.03 between the TMD mass and the structure’s first-mode
generalized mass, is considered. Assuming linear behavior of the controlled structuré, the
stiffness and damping coefficients of TMD are optimized for harmonic base excitation [14].
This yields the optimal values of the TMD parameters as listed in Table 1 along with the

properties of the example structure.

7. Effectiveness of TMD under a harmonic ground motion
The effectiveness of TMD is evaluated under harmonic ground motion. The inability to

control high intensity ground motion is demonstrated and explained. The use of damage
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reduction of the structure as the effectiveness measure of TMD is introduced instead of
using displacement reduction alone.

7.1 Displacement Reduction

Figs 3 and 4 show the typical displacement histories of the structure with and without TMD
under harmonic ground motion with PGAs of 0.01g and 0.05g, respectively. The motion
frequency is i‘ntentionally set to be the natural frequency of the structure. In these figures,
the former represents the case where the structure is vibrated within the elastic range and
significant displacement reduction of the structure can be gained from the application of
TMD, whereas the latter represents the case where the structure is vibrated well within the
inelastic range and the displacement reduction of the structure by application of TMD is
substantially decreased. To show the influence of degree of inelasticity in the structure on
the performance of TMD, Fig. 5 compares the displacement ratio of the structure with and
without TMD for various PGAs of ground motion. In the figure, the displacement ratio of
the structure is calculated from the ratio of the steady-state displacement of the inelastic

structure with or without TMD to that of the corresponding elastic structure without TMD,

while the input PGA is represented by the normalized PGA, |J'c'g\/(qy /m). To ascertain the

effectiveness of TMD in terms of displacement reduction of the structure, Fig. 6 plots the
steady-state displacement reduction of the structure due to the application of TMD as a
function of normalized PGA. 1t is obvious from Figs. 5 and 6 that TMD is very effective in
reducing the displacement of the structure by as much as 77% when normalized PGA is less
than 0.042. This is the case where the structure is vibrated within its elastic range. However,

beyond this range, the TMD’s effectiveness gradually decreases as the PGA increases and
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becomes as small as 10% when normalized PGA is greater than 0.176. These findings
coincide with those found by previous studies [4,7] in which the effectiveness of TMD is
reported to be substantially deteriorated when the structure’s motion is characterized by
significant inelastic vibration. This control deficiency can be demonstrated through
inspection of the energy dissipation of TMD as shown in Fig. 7. In the figure, the energy
dissipation in the structure due to inherent damping, yielding and TMD are normalized by
the corresponding kinetic energy of the structure and are plotted against the normalized
PGA. The figure shows that TMD slightly loses its effectiveness in dissipating the energy
from the structure once yielding occurs in the structure. This is because yielding raises the
apparent damping of the structure and consequently disturbs the tuning condition of TMD.
Although the dissipation reduction of TMD seems significant in this considered range of
PGA, the large amount of dissipation due to yielding causes the contribution of TMD to
become a comparatively small portion. As a result, a displacement reduction of the structure
of only 10% is obtained from the application of TMD.
7.2 Damage Reduction
It is clear from Figs 5 and 6 that TMD can completely protect the building from yielding up
to a normalized PGA of 0.156. Although the displacement reduction in this range indicates
deterioration of TMD’s effectiveness, this is of particular importance for seismic applications
in which the objective of TMD installation is to suppress the damage to the structure rather
than its displacement.

Therefore, the following introduces the damage reduction of the structure to

describe the effectiveness of TMD instead of the displacement reduction. Employing the
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damage model previously outlined, Fig. 8 compares the damage tndex of the structure with
and without TMD under harmonic ground motion, while Fig. 9 shows the damage reduction
gained from TMD. In the figure, the damage reduction is calculated from the difference
between damage to the structure with TMD and without TMD divided by that without
TMD, (Dlwo-Dinp)/ Diws,. 1t is pointed out that, for normalized PGA less than 0.042, the
damage reduction of the structure due to TMD is not defined since there is no damage to the
corresponding structure without TMD. Unlike the displacement reduction as in Fig. 6, the
figure shows complete damage reduction due to TMD for normalized PGA between 0.042
and 0.156. This implies the usefulness of TMD even when the structure is subjected to
modefate input ground motion. However, further increasing the PGA causes yielding in the
structure with TMD and damage reduction of about 40-70% is obtained for normalized
PGA between 0.156 and 0.306. In this range of input PGA, the damage reduction decreases
as the PGA increases. It is also observed that, for normalized PGA between 0.306 and
0.443, the computed damage of the structure without TMD exceeds the collapse limit, i.e.
Dr>1.0, while that of the structure with TMD is still within the limit. This corresponds to the
case where the TMD can prevent the structure from collapse. Beyond this range of input
PGA (normalized PGA. greater than 0.443), the structure with TMD also collapses and

therefore the application of TMD to the structure provides no benefit.

8. Effectiveness of TMD under a distant earthquake
In this section, ground motion recorded from the distant earthquake in Mexico City (1985)

at SCT station in the N-S direction is employed as the input ground excitation. This record
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is found to have its predominant period close to the first natural period of the structure. The
effectiveness of TMD is again evalvated in terms of displacement and damage reduction of
the structure.

8.1 Displacement Reduction

Fig. 10 plots the displacement ratio of the structure with and without TMD against the input
PGA of ground motion. In this figure, the displacement ratios are calculated using peak
displacement instead of steady-state displacement as in Fig. 5. It can be seen from the figure
that TMD is very effective in reducing the peak displacement of the structure when the
structure 1s vibrated within the elastic range. However, its effectiveness gradually decreases
as thelinelasticity in the structure increases. It is noticed that, for normalized PGA higher
than 0.40, the structure with TMD exhibits larger displacement than that without TMD. This
leads to negative displacement reduction of TMD as shown in Fig. 11.

8.2 Damage Reduction

Fig. 12 compares the damage indices of the structure with and without TMD under the SCT
ground motion for various PGAs, while Fig. 13 shows the damage reduction gained from
the application of TMD. The figures reveal that TMD always reduces the damage to the
structure for the entire range of PGA considered. Similar to the case of the harmonic ground
motion, TMD perfectly protects the structure from damage for normalized PGA less than
0.20, and yields about 20-40% reduction of the damage for normalized PGA. from 0.20 to
0.685. It is interesting to note that, for normalized PGA greater than 0.40, TMD provides
positive effectiveness in damage reduction of the structure although its effectiveness in terms

of displacement reduction is found to be negative (see also Fig. 11). This is because the
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damage index of the structure under the SCT ground motion is mainly governed by the
energy term, 1.€. the second term of Eq. (4), which is effectively reduced by TMD. it should
also be noted that, for this ground excitation, TMD prevents collapse for normalized PGA
from 0.685 to 0.841. Beyond this range of the input PGA, the structure with TMD collapses

and therefore the application of TMD becomes useless.

9, Conclusions

The effectiveness of the TMD for control of the 20-storey reinforced concrete building
subjected to both harmonic and the 1985 Mexico City (SCT) ground motions is
investigated. Using numerical simulation, the obtained results indicate that the commonly
used displacement reduction of the structure fails to prescribe the effectiveness of the TMD
when damage occurs in the structure. This is because it does not provide sufficient
information on the damage state of the controlled structure which is the main concern in
engineering applications.

Therefore, direct use of damage reduction of the structure becomes more relevant
and it is employed as the indicator of TMD effectiveness in this paper. Based on the ground
motions considered, which have predominant periods close to that of the structure, the
TMD is found to provide damage protection for the structure up to a certain level of input
PGA. With a higher level of input PGA, it also significantly reduced the damage to the
structure, which would suffer substantial damage in its absence. With further increase of

input PGA, it is found that the application of TMD can prevent the structure from collapse.
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By comparing these damage characteristics to those of the structure with higher yield
strength of base shear, this application of TMD is equivalent to an increase in the yield
strength of the structure of about 45% and 20% for the harmonic and the SCT ground
motions, respectively. This is of practical significance in view of the current trend toward
performance based design in which the TMD may be installed to achieve the target

performance of buildings designed for seismic loads.

Acknowledgements

" The authors are grateful to the Thailand Research Funds (TRF) for the research
scholar grant for this project. They would like to thank Mr. P. Vaijunya for providing the

design of the example structure used in this study.

References

[1] ENR. Handcock Tower Now to get dampers. Engineering News-Record, 1975, Oct.
30:11.

2] Kwok KCS, MacDonald PA. Full-scale measurements of acceleration response of
Sydney Tower. Engineering Structures 1990; 12:153-162.

(3] Kaynai AM, Veneziano D, Biggs JM. Seismic effectiveness of tuned mass dampers.
Journal of Structural Engineering, ASCE 1981; 107(8):1465-1484.

[4] Sladek JR and Klingner RE. Effect of tuned mass dampers on seismic response.

Journal of Structural Engineering, ASCE 1983; 109(8):2004-2009.

Pinkaew, T., et al. September 10, 2001 14
o8 {



(5]

(6]

(7]

(8]

(1

(10]

(1]

[12]

Chowdhury AH, Iwuchukwu MD, Garske }JJ. Past and future of seismic effectiveness
of tuned mass dampers. Proceedings of the 2nd International Symposium on
Structural Control, Ontario, Canada, 1985; 105-127.

Villaverde R, Koyoama LA. Damped resonant appendages to increase inherent
damping in buildings. Farthquake FEngineering and Structural Dynamics 1993;
22:491-507.

Soto-Brito R, Ruiz SE. Influence of ground motion intensity on the effectiveness of
tuned mass dampers. Earthquake FEngineering and Structural Dynamics 1999;
28:1255-1271.

Lukkunaprasit P, Wanitkorkul A. Inelastic buildings with tuned mass dampers under
moderate ground motions from distant earthquakes. Earthquake Engineering and
Structural Dynamics 2001; 30(4):537-551.

Park YJ, Ang AHS, Wen YK. Mechanistic seismic damage model for reinforced
concrete. Journal of Structural Engineering, ASCE 1985, 111(4).722-739.

Valles RE, Reinhorn AM, Kunnath SK, Li C, Madan A. IDARC2D Version 4.0: A
computer program for the inelastic damage analysis of buildings. Technical Report
NCEER-926-0010, University of New York at Buffalo, USA, 1996,

Fajfar P, Fischinger M. N2- A method for non-linear seismic analysis of regular
buildings. Proceedings of the 9th World Conference on Earthquake Engineering,
Tokyo, Japan, 1988; 111-116.

Ciampoli M, Giannini R, Nuti C, Pinto PE. Seismic reliability of non-linear structures

with stochastic parameters by directional simulation. Proceedings of the 5th

Pinkaew, T., et al. September 10, 2001 15

I
991



International Conference on Structural Safety and Reliability, San Francisco, USA,
1989; 1121-1128.

[13] Park YJ, Ang AHS, Wen YK. Damage-limiting aseismic design of buildings.
Earthquake Spectra 1987; 3:565-619.

[14] Warburton GB. Optimum absorber parameters for various combinations of response

and excitation parameters. Earthquake Engineering and Structural Dynamics 1982,

10:381-401.

Pinkaew, T, et al, September 10, 2001 16
100,



LIST OF TABLES AND FIGURES

FIGURE

TITLE

Properties of the structure, the equivalent inelastic SDOF and TMD.

TITLE

Figure 1
Figure 2

Figure 3

Figure 4

Figure 5
Figure 6

Figure 7

Figure 8

Figure 9
Figure 10
Figure 11
Figure 12

Figure 13

Pinkaew, T., et al.

Elevation and plan of a 20-storey reinforced concrete building

Pushover curve of structure

Displacement histories of structure with and without TMD under harmonic
ground motion with PGA of 0.01g

Displacement histories of structure under harmonic ground motion with PGA
of 0.05¢g

Normalized displacement ratio of structure against normalized PGA
Displacement reduction of structure with TMD against normalized PGA
Normalized energy dissipation in structure with TMD against normalized
PGA

Damage index of structure against normalized PGA

Damage reduction of structure with TMD against normalized PGA
Displacement ratio of the structure against normalized PGA

Displacement reduction of the structure with TMD against normalized PGA
Damage index of structure against normalized PGA

Damage reduction of structure with TMD against normalized PGA

September 10, 2001 17
101



Table 1 Properties of the structure, the equivalent inelastic SDOF and TMD.

I =378.0 MN, ¥, = 43.5 MN,

System, Eq.(1) .
1, =0258 m, », = 1.68 m, ductility = 6.5

Structure
m=17.9x10" tons, = 2.95 rad/s, &= 0.02
SDOF, Eq.(3)
gy=274MN,x,=0175m, x,=1.14m

mr=537x10" tons, kr = 4.41x10° kN/m,

Tuned Mass Damper (TMD)
wr =2.87 rad/s, &= 0.105
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ARBRSTRACT

An experimental investigaticn of the effectiveness of hook-clips in improving
the performance of conventional 90-deg hook ties and ACI crossties 1in
moderately confined reinforced concrete tied columns is described. The tie
configurations provided in the five large-scale specimens tested included 90-

deg hocok ties and ACI crossties, with and without hook-clips, and 135-deg

119



hook ties. The columns were subjected to moderate levels of compregsion and
cyclic lateral loads. The hook-clips were found to be effective in improving
the performance of concrete columns confined with $0-deg hook ties and ACI
crossties, resulting in the displacement ductility factor and energy

dissipation capacity to be increased by about 85% and 400%, respectively.

XKeywords: %0-deg hook; ACI crosstie; hook-clip; reinforced concrete column;

ductility; energy dissipation.

INTRODUCTION

Although extensive studies of reinforced comcrete (r.c.) columns confined
with 135-deg hook ties have been carried out,'® little work has focused on the
performance of 90-deg hook ties, in spite of the fact that crossties with a
135-deg heook at one end and a 90-deg hook at the other (ACI crossties) are
permitted by the ACI Code’, even in areas of high seismic risk. Razvi and
Saatcioglu® tested two specimens with 90-deg hook ties, and the results
indicated that they were inferior to columns confined by 135-deg hooks at
axial strains in excess of about 0.015. Sheikh and Yeh® investigated the
behavior of tied columns with different reinforcement and tie configurations
under medium to high axial load levels and flexure. Croséties with 90-deg
hooks were reported to cause brittle failure and to be harmful rather than
beneficial, especially at high axial loads. Lynn et al.' tested eight full-
scale reinforced concrete columns having details widely used before the mid-
1970’s in the U.S.A. and including 90-deg hock tie details among others.
Cyclic load-displacement curves were obtained for light and moderate level
axial loads. The poor performance of 90-deg hook ties was evident, leading to

rapid loss of gravity load resistance. Wehbe et al.'' tested four r.c. tied
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columns bound by 135-deg hook hoop ties and ACI crossties with moderate
confinement. In all specimens, it was observed that opening of the 90-deg
crosstie thooks initiated failure, leading to buckling of the outer

longitudinal-steel. Subsequently, the 135-deg hooks also started to open up.

The deficiency of 90-deg hook ties in columns was witnessed in past
earthquakes in bridges, reinforced concrete buildings and steel reinforced
concrete structures.' "' Despite their poor performance, 90-deg hook ties are
s5till wused extensively worldwide in low to moderate seismic risk regions
because of the ease of their placement compared with the 135~deg hooks.
Ninety-degree hook ties ars =ven more appealing in developing countries where
laying of reinforcing bars is quite commonly not practiced to & high level of
precision, making iT extremely difficult to put 135-deg hook ties in place
when the vertical bars are misaligned. Recently, Lukkunaprasit'® introduced a
simple device called a “hook-clip” to be clipped onto the conventional 90-deg
Hook ties or crossties at the sites. Experimental tests on axially loaded
short columns revealed that the performance of r.c. tied columns with 90-deg

hooks and hook-clips was comparable to that of columns with 135-deg hook

ties.
RESEARCH SIGNIFICANCE

In view of the importance of vertical load resistance members, it 1is
essential to have ductility in columns to ensure vertical load resistance
even in zones with low to moderate seismic risk. Enhancement of performance
of 90-deg hook tied columns would contribute to reduced damage due to
earthquakes in such seismic risk regions. Furthermore, while there exist
numerous test data on r.c. tied columns with ductile detailing for areas of

high seismicity, there is a paucity of test results for lower ductility
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demand suitable for moderate seismic risk regions. The experimental results
from this study would form a valuable addition to the database of r.c. tied
columns under cyclic loadiné. The effectiveness of hook-clips in improving
the performance of conventional 90-deg hook ties and ACI crossties in columns

for a moderate level o©of ductility was investigated. Enhancement in

displacement ductility and energy dissipaticon capacity was also examined.
THE HOOK-CLIP

To prevent premature opening of 90-deg hocoks, a supplementary tie or “hook-
clip” has been devised which is to be embedded in the concrete core with its
hooks holding the legs of the hook ties. The clip resists opening of the 90-
deqg hook after loss of the concrete cover. Fig. 1{a) shows the details of the
clip proposed for binding 9 mm diameier ties or smaller. The hook-clip may be
employed to clip the legs of any hoop tie or crosstie with 90-deg hooks (see
Fig. 1(b})}. With the clips prefabricated, they can be applied easily at the

site, without any welding.
EXPERYMENTAY, PROGRAM

Test specimens

Five column specimens 400mm by 400mm in cross section and 1500mm in height
served as test specimens. Each test unit was reinforced with 16 longitudinal
deformed bars of 20mm (DB20) nominal diameter. Transverse reinforcement
consisted of O9mm diameter hoop ties and ACI crossties, with consecutive
crossties alternated end for end along the axis of the column. The ties were
supplied with either 90-deg or 135-deq hcoks, depending on specimens. Each

hook had an inside radius of twice the tie diameter and an extension of 6 bar
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diameters, but not less than 60mm. The reinforcement detailing was in
accordance with the non-seismic detailing provisions in the ACI Code’. Fig. 2
depicts a typlcal column cross section, and Table 1 lists the relevant data

of the test specimens.

It should be noted that a relatively large bar size (viz. 20mm diameter)} was
used for the longitudinal reinforcement so that when the bars buckled, a
large outward thrust would be exerted on the ties, which would, in turn, try
to pull the hock-clips out of the confined core. The tie spacing provided
(120mm) was smaller than that stipulated by BACI Code £for non-seismic
detailing, which allows as much as 300mm for the specimens tested. The
closer spacing was chosen in view of the higher demand on the ties In
providing-lateral restraint for the lcngitudinal bars when buckled in shorter
unsupported lengths. Conseguently, a higher demand was alsc imposed on the
hook-clips in order to prevent the ties from opening. Nevertheless, as can
e seen in Table 2, the lateral reinforcement provided, 3;, , was only 391-52%

of the minimum amount required by ACI in areas of high seismicity.

Special care was taken to achieve the following tolerances in construction:
.cross sectional dimensions +1 percent; c¢olumn height +1 percent; tie
dimensions in the critical region +1.2 percent; tie spacing in the critical
region +3 percent; widths and lengths of hook-clips +3 percent; and

verticality of specimen + 1/500.
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Material properties

All specimens were made of normal-strength materials. Normal-weight
concrete with a maximum aggregate size of 20mm was used. The concrete
compressive strengths of the standard concrete cylinders on the day of

testing, f., , were in the range of 30.5-38.9 MPa.

The reinforcing steel used consisted of deformed bars with an average yield
strength, £,, of 472 MPa for longitudinal reinforcement, and smcoth round bars
with yield strengths, f., 1in the range of 297 to 318 MPa for transverse
steel. The average modulus of elasticity of the reinforcing bars was 212,000
MPa. The clips were fabricated from 5mm diameter mild steel bars whose yield
strength and modulus of elasticity were 450 MPa and 204,500 MPa,

respectively.

It should be noted that, except for the slight variation 1in concrete
strengths {about 15% from the mean wvalue) and the hook configurations, all
specimens were Dbasically the same in physical properties. Specimens
CF90/0.30, CF135/0.30 and CFL90/0.30 were designed to 1investigate the
ductility performance of conventional 9%0-deg hooks, 135-deg hooks and 90-deg
hooks with hook-clips, respectively. The 1label 0.30 designates an axial
stress level of 0.30 £, (based on gross cross sectional area). The performance
of hook-clips was re-confirmed with another set of specimens, CFLS0/0.37 and

CF135/0.37, which were compresssd to a higher axial stress level of 0.37 f,.
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Test setup

Fig. 3 shows the schematic diagram of the test setup. The column footing was
tied down to a strong flcocor by six high-strength steel bars post-tensioned to
a total force of 3000 kN. In additicon, a strut-and-~tie system was employed
to further provide lateral restraint to the foundation to minimize its
movement. The axial load on each specimen was applied by means of a hydraulic
jack bearing against the column top and a load transfer girder sitting on top
of the jack. The reaction from the lecading jack was resisted by twoc 240mm
high-~strength steel bars which tied the transfer girder to the foundation. A
calibrated 1000~kN hydraulic actuator was employed to sunply the eyclic
lateral force, which was applied through & shaft placed in an embedded sleeve
near the tog c¢f the column. Although the specimens were setl up with extra
care to minimize the eccentricity of the lateral force te within 4mm on
average, a lateral bearing system was alsc utilized to prevent any out-of-

plane movement of the column during testing.

Instrumentation

Linear wvariable differential transformers (LVDTs) were employed to measure
the lateral displacements of the column along its height. The second and
third hoop ties above the base were instrumented with electrical resistance
strain gages, placed at the Jlocations shown in Fig. 2. For specimens
CFL90/0.37 and CF135/0.37, additional strain gages were also attached to the
crossties at the second, third and fourth levels, in the direction of
loading. An angle measuring device was used to monitor the inclination of the

column top.
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The vertical load was measured by means of a calibrated pressure gage. The
1000 kN hydraulic actuator for horizontal load application was fitted with a
load cell. Signals from the load cell, LVDTs and strain gages were connected

to a computerized data acquisition system.

Testing procedure

The test specimens were first subjected to preliminary leadings under S0

percent of the specified axial load and a wvery small lateral load ({in the

order of 30 kN) in order to determine accidental eccentricities of the

loadings, as well as to assure proper functioning of all measursmenl devices.
Any necessary corrective measures would then be applied to ensure zhar tha
accidental eccentricity in the vertical load was within a tolerance of one

percent of the column width, on average.

Actual testing was carried out following the general procedure proposed by
Watson and Park’. After the application of the specified axial load, the
lateral force was load-controlled to + 75 percent of the theoretical lateral
yield walue, H,, computed on the basis of the ACI Code without any strength
reduction. The experimental yield displacement, 4,, was then extrapolated from
the average of the measured displacements at + 0.75 H, and - 0.75 H, {(Fig. 4).
Subsequently, each specimen was subjected to displacement-controlled cyclic
loading, starting from the displacement ductility 1level of 1. The
displacement ductility level was incremented at an interval of 1, in general,
with two cycles of loading performed .for each ductility level until the

ultimate capacity was reached. Failure was defined as the state when the

capacity of the specimen during the loading cycle considered dropped by more
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than 20 percent of the maximum capacity of the specimen., The associated

displacement is denoted by A4,, and the displacement ductility factor is

Ha = 4, /4, (1)

Loading was applied at a very slow rate, with one cycle completed in about
one hour. The slow rate of loading permitted control of the constant axial

force by manual operation of the hydraulic pump.

TEST RESULTS

Test observations

Specimaen Crz0/0.30 (with 90-deg hooks but without hook~clips} exhibited
normal rlexurzl and shear cracks when loaded through 2 cycles at ductility
1.0, and only a few small spalling cracks developed at the edges in ths
plastic hinge zone. However, during the first push cycle at ductility 2.0,
widespread spalling cracks occurred, which were caused by the popping out of
the 90-deg hooks of the hoop tie and crosstie in the second tie set aSove the
footing. At the end of the second cycle at ductility 2.0, those cracks
became excessive. During the next push cycle at ductility 3.0, a major part
of the concrete cover in the plastic hinge zone on the compression face
spalled off, exposing the 90-deg hooks. The member consequently lost its load
carrying capacity. The buckling mode of the vertical bars was not clear at
this stage. However, after being loaded through another half cycle, it could
clearly be sesn that the longitudinal bars had buckled over approximately
twice the tie spacings, indicating the inadequacy of the 90-deg hooks in the
critical hoop tie and ACI crosstie in restraining longitudinal bars at the

tie position (Fig. 5).
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Specimens CF135/0.30 {with 135-deg hooks) and CFL90/0.30 (with 90-deg hooks
and hook-clips) behaved in a similar manner up to ductility level 2.0 with
stable hysteresis lcops and little strength degradation. In contrast to
specimen CF90/0.30, which had already developed significant spalling cracks
at this ductility level, only a few small ones occurred in CFL90/0.30 and
CF135/0.30. When specimen CF135/0.30 was pushed through the first cycle of
ductility level 3.0, the spalling <racks, which had developed earlier at
ductility level 2 as small cracks &lony one edge near the base, rapidly
propagated with increasing widfh and length. Spalling cracks and swelling of

the concrete cover around the third tis set above the base also developed due

to expansion of the hoop tie. During the: last cycle at ductility 3.0, more
spalling near the base cccurred, and swelling of the concrete in the vicinity
of the 90-deg end of the ACI crossti- [ the second tie set was evident. The

next {incomplete) push cycle to duciility level 4.0 saw excessive spalling
and swelling of the concrete covering between the first and third tie sets,
with opening of the 90~deg hook in the 3CI crossties and eventual buckling of
the longitudinal bars (Fig. 6}. It was also observed that the 135-deg hock of
the most severely stressed hoop tie was so deformed that it opened up
substantially, indicating deficient anchorage of the heook due to the short

extension leqg provided for non-seismic design.

Specimen CFL90/0.30 exhibited remarkable behavior. Up to the second cycle,
at ductility level 3.0, the overall appearance of the column was still in
fairly good condition except for minor surface spalling of the cover at the
base on the compression faces (which had occurred since ductility level 2},
and some wide vertical spalling cracks near the edges in the plastic hinge
zone. Swelling of the concrete cover on the compression face was observed
near the location of one 90-deg end of the ACI crosstie at the second tie set

above the base, indicating expansion action of the ties and hooks. However,
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reinforcing bars were not exposed until the specimen was loaded to ductility
level 4, when extensive spalling of the concrete cover took place. Bending of
an inner longitudinal bar due to buckling could alsoc be clearly observed at
,this stage (Fig. 7). Of particular significance 1is the integrity of the hook-
clips in holding the legs of the 90-deg hook tie even at a substantial drift
of 4% as witnessed in Fig. 8. It was remarkable that the longitudinal bars
possessed significant post-buckling strength and the ties and hook-clips were
resilient in confining the core, so that a significant amcunt o<f the peak
load could be sustained, without abrupt failure, through one full cycle
before eventual failure by total buckling o¢f the longitudinal bars. The
buckling shape c¢f the longitudinal bars in the plastic hinge zcne resembloed

that of specimen CF135/0.30 {(Fig. 9).

Specimen CF135/0.37 displayed extensive spalling cracks near the edges in
thé plastic hinge zone when loaded to ductility level 2. Swelling of the
concrete cover was significant along the third hoop level, but less so at the
second hoop levei. The edges spalled off during the first cycle of w3y = 3, but
the longitudinal bars were still not visible. Just before the completion of
the second cycle at ductility level 3, there was & drastic drop in lateral
load resistance, followed by rapid widening of a major shear crack which had

previously been minute, leading to eventual failure.

The overall appearance of CFL90/0.37, on the other hand, was much better
than that of its counterpart, CF135/0.37. Similar «crack patterns were
observed in general, but the extent of cracking and damage was significantly
less in the former than in the latter. At , = 2, only a few minor spalling
cracks occurred over small areas at the base and at the third tie level. The

cracks developed into significant ones at the third hoop tie level at

ductility factor 3, with a clearly noticeable drop in lateral load
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resistance. This prompted a reduction of the displacement increment to 0.54,
for the next (and last) loading cycle. Buckling of vertical bars in the
plastic hinge zone led to an excessive drop in capacity and termination of

the test after 1% cycles of loading at ductility level 3.5.

Lateral load-displacement hysteretic response

The lateral load-displacement hysteretic responses for the test specimens
are shown in Fig. 10a - 10b and 11. The curves clearly indicate flexural
dominated characteristics. It is interesting to note that specimens
CF135/0.30 and CFL90/0.30 experienced stable hysteresis loops up to ductility
level 3.0, with similar general characteristics. While the specimen with 135-
deg hooks and (unclipped} ACI crossties suffered sharp decrease in lateral
load resistance during the next (and last) loading cycle to ductility level
4.0, the specimen with hook-clips exhibited a stable hysteresis loop in the
same c¢ycle, with little strength degradation. The latter was able to sustain
2 complete cycles at this ductility level, although significant degradation
in strength and stiffness occurred in the second cycle at |, = 4.0. The actual
ductility factor that could have been attained by this specimen was estimated

to be 3.7 which was based on equivalent energy dissipation and the condition

that the less in strength not to exceed 20 percent.

The sudden drop in lateral load resistance was even more pronounced in
specimen CF90/0.30 when it was being pushed to 3A,. The rapid decrease in
load resistance was caused by the opening of the 3%0-deg hook of the ACI
crosstie in the second tie set above the base, when the longitudinal bars

buckled over approximately two tie spacings.
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Specimen CFL%0/0.37 exhibited a more stable hysteretic response than
CF135/0.37, with much less st;ength degradation, when loaded from the second
cycle at ductility 2.0 to the second loading cycle at Py = 3. Reduction of the
peak load at ductility factor 3 was 22 percent for specimen CF135/0.37,
compared with only 8 percent for specimen CFL90/0.37. However, prior to
unloading from the second cycle at Uy = 3, specimen CF135/0.37 rapidly lost
its load capacity ({(by more than 45 percent) due to buckling of the vertical
bays at a displacement of +2.54A,. The specimen with hook-clips, on the other

hand, could still carry 85 percent of the peak load, and even sustained one
complete cycle at U, = 3.5 with a remarkable sustained capacity before final

failure.

Ductility performance

The displacement ductility factors attained by specimens CF90/0.30,
CF13S)0.30 and CFL90/0.30, under an axial stress level of 0.3 f,, were 2, 3
and 3.7, respectively {(see Table 3}. It may be noted that the displacement
ductility of CFP90/0.30 closely agreed with the value of 3.8 predicted by the
formula suggested by Wehbe, et al.''* for members with seismic detailing,
indicating the effectiveness of the hook-clips in enhancing ductility
performaqce_of columns with 90-deg hook ties. The ductility performance of
specimens without clips was expected to be unsatisfactory due to the use of
non-seismic detailing, and hence it was not compared with that predicted by

the Wehbe et al. equation.

The effectiveness of the hook-clips was again confirmed by specimen

CFL90/0.37, which was able to sustain the same displacement ductility factor
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as specimen CF135/0.30 even though it was subjected to a higher level of

axial load.

Strains in transverse steel

Focus was first placed on measurement of the hoop tie strains in the plastic
hinge =zones in specimens CF30/0.30, CFL90/0.30 and CF135/0.30. It was
unfortunate that some strain gages got damaged (some caused by the spalling
concrete) which resulted in incomplete data so that comparison of the maximum
axial strains in the hoop ties could not be made. Furthermore it was found
that the strains in the hoop ties were much influencgd by bending of the ties
caused by the lateral pressure exerted by the core and/ or buckling of the
longitudinal bars. 1In the last two specimens, therefore, attention was paid
to the measurement of the strains in the crossties which were predominantly
in tension. It was found that the-most severely strained crosstie in specimen
CFLBO/O.BT developed a maximum strain of 1.5 times that in CF135/0.37. 1In
fact, the former attained a strain of 0.0015, slightly higher than the yield
value of 0.0014. Better anchorage of the 90-deg hook ends with hook-clips
after spalling of the concrete cover obviously resulted from effective
restraint of the hook ends by the hook-clips, 1leading to the ability to
develop higher strains in the crossties, and enhanced confinement of the

concrete core.

Energy dissipation capacity

The ability of structures to withstand cyclic leading is commonly measured
in terms of the energy dissipation capacity, which is defined as the
summation of the energy E; dissipated within each cycle i. The normalized

energy dissipation capacity, Ey , is
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in which n 1is the number of cycles to failure, and H,, is the peak lateral

load during cyclic loading.

The normalized energy dissipation capacities of the specimens tested are
tabulated in Table 3 and the cumulative normalized energy capacities wversus
loading cycles are plotted in Fig. 12. Those cycles which resulted in a drop
in lateral load resistance of more than 20 percent of the peak lateral load
were excluded 1in the computation. It 1is remarkable that the energy
dissipation capacity of specimen CFLS0/0.30 was larger than the unclipped
speciﬁens CF90/0.30 and CF135/0.30 by about 400 and 96 percent, respectively.
At a higher axial load level of 0.37 f.Ay, the increase in the dissipated
energy was less. At any rate, the energy dissipation capacity of CFL90/0.37

was still 1.5 times that of CF135/0.37.
Effectiveness of hook-clips

From the test results, together with the following observations, it is
evident that the hook-clips were effective in improving the performance of

the 90-deg hooks in the hoop ties and ACI crossties:

a) At each ductility level, the number and extent of spalling cracks were
significantly lower in the specimens with hook-clips than in those without,
indicating less pop-out action of the 9%0-deg ends of the ACI crossties and
90-deg hooks in the hoop ties due to containment by the hook—ciips:

b} In contrast to CF90/0.30 with conventional 90-deg hooks, the clips in the

CFL90/0.30 specimen were able to prevent premature opening of the 90-deg
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hooks, leading to effective restraint of the wvertical bars at the tie
positions, and resulting in the vertical bars buckling by about half the
buckling length of those without clips, when buckling commenced, as depicted
in Fig. 7. ‘The shorter buckling length allowed the specimen to sustain a
higher load at the same deformation.

¢} The ductility performance of the specimen with 90-deg hook ties and hook-
clips far excelled that of the specimen without hook-clips. In fact, the
former even performed better than the CF135/0.30, which was confined with
135-deg ties and ACI crossties {without hook-clips). The reason is that the
ACI crossties with hook-clips in specimen CFL90/0.30 were effectively
restrained from opening up by the hook-clips, in contrast to the unclipped
ACI crossties in specimen CF135/0.30 which popped out at an earlier stage,
leading to loss of structural integrity.

d) The crossties with hook-clips were able to develop larger strains than

- those without c¢lips as mentioned earlier.
CONCLUSIONS

The hook-clips were found to be effective in improving the performance of
reinforced concrete columns confined with 90-deg hook ties and ACI crossties,
as evidenced by the significant enhancement of the ductility and energy
dissipation capacity and the fact that, for the tie configué:ations studied,
the buckling lengths of the longitudinal bars in specimens with hook-clips
were about half of those in specimens without them when bar buckling
comm-enced. In fact, for the specimens tested, the overall performance of the
specimens with hook-clips under a moderate ductility demand was even superior
to that of columns confined with 135-deg hook ties and conventional ACK
crossties. The effective restraint of the 90-deg ends of c¢rossties by hook-

clips enabled the most severely strained crossties in the plastic hinge
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region to develop a strain slightly higher than the yield wvalue. The
effectiveness of the hook-clips should be beneficial, even in regions of high

seismicity, pending further investigation.
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CONVERSION FACTORS

1 MPa = 145 psi
1 mm = 0.0394 in. i
1 kN = 0.2248 kips
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Table 1 - Daetails of test specimens

Concret . N ' Longitudinal .
Dimensions Transverse reinforcement
Specimen strength reinforcement Hook PIf.A,
I, | Width,| Depth,|Height,f py, f, (Dismeter, s, £ A,/sh, configuration
MPa mm | mm mm % | MPa mm mm MPa %

CF90/030 8% 38 97 1500 114 471 9 110 308 0.453 90" + ACI eromties; e dips | 0.30
CF 138/7030) 2357 398 356 1450 314 471 9 120 Jos 0.453 {135 + ACT crossties; ne clipe| 0.30
CFL % /030| 3.7 s k3 1500 L4 471 9 120 306 0.453 | 50° + ACI croasties with clips O.Jﬂ
CF135/0237] 3058 359 397 1500 314 475 9 110 313 0.453 135" + ACI cromsties; ne clipa| 037
CFL50/037| 314 398 57 1500 3.14 471 9 120 197 0.453 90" + ACE cromsties with dips| 037

Note: p,= longitudinal reinforcement ratio; 5 = center-to-center spacing between sets of ties;

h, = cross-sectional dimension of column core measured center-to—center of confining
reinforcement; P = axial load; and Ay = gross area of column section.

Table 2 - Lateral reinforcement ratio in comparison with ACI Code’

{seismic design)

] Lateral reinforcement ratio A,,/(sh.) |
Specimen | P/f,A,
Provided ACI Code Aw/Apace

CF 90 /0.30 0.30 0.0045 0.0115 0.39
CF135/0.30 | 030 0.0045 0.0105 0.43
CFL 90/0.30 0.30 0.0045 0.0093 0.49
CF135/037 | 0.37 0.0045 0.0086 0.52
CFL 906/0.37{ 037 0.0045 0.0098 0.46

Note: A,p,acr = minimum total cross-sectional area of rectangular hoops and
crossties as specified by the ACI Code.’
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Table 3 - Test results

Specimen By, Au Hdeop | Haca Mz, Ex, En/(H mazdy) Kailure
mii mm kN kN=-mim maode
CF90/0.30 143 28.4 2.0 - 315 16908 33 Flexure
CF 135/0.30 14.2 42.6 10 - 314 44806 10.1 Flexure
CFL.90/0.30 15.0 55.5 a7 38 284 83032 19.3 Flexure
CF 135/0.37 14.2 42,4 25 - 295 27821 6.6 Flexure
CFL90/0.37 13.2 35.6 30 35 303 41448 10.4 Flexure

Note: ‘HA'H‘D: displacement ductility factor from experiment; and #A,ca!= calculated

displacement ductility factor in accordance with the formula proposed by Wehbe et al.!
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ELEVATION

{Dimensions in mm)

(a)

(b)

Fig.1l-(a) Details of hook-clip; and (b) Hook-clips engaging %0° hoop

ties and crossties
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Fig. 6 - Failure mode of CF135/0.30
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Fig. 8 - CFL90/0.30-Effective restraining of 90-deg hook legs by hook-

clips at a large drift of 4%

Fig. 9 - CFL90/0.30-Effectiveness of hook-clips in restraining hook

opening at failure
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Load History Effect on Cyclic Behavior of R.C. Tied Columns

By P. Lukkunaprasit' , Fellow, ASCE, and J. Thepmangkorn®

Abstract : The effect of two commonly used load histories on the ductility and energy
dissipation capacity of reinforced concrete tied columns was investigated. Based on
regression analyses of the test results reported in the literature, the effective confinement
reinforcement ratio was found to provide a good correlation with the performance
indexes studied. The parameters accounted for include the material strength ratio, the
amount of the transverse reinforcement, the axial load level and the effectiveness of the
tie configurations. For moderate values of the effective confinement steel ratio, load
history with increments of two times the yield displacement was found to be slightly
more severe than that with one yield displacement increments. The effect of load history

tends to be less significant for higher values of the effective confinement steel ratio.

INTRODUCTION

The influence of load history on the cyclic behavior of reinforced concrete (r.c.)
members has been recognized for some time. Gosain et al. (1977) proposed the modified

work index, /|, as a measure for evaluating the severity of the loading for r.c. members.

They also pointed out limitations of the method when applied to significantly different
load histories. For instance, loading to a deflection of 10 times yield displacement twice
would likely yield more severe damage than loading four times to a deflection of 5 times
the yield value, even though both loadings yield approximately the same value of work

index. Noting the weak correlation of [, with the test data, Darwin and Nmai (1986)

proposed an energy dissipation index, D; , designed to provide an objective measure of
beam response. It was found that D, was strongly controlled by the maximum shear

stress, Om , the concrete strength, £, and the transverse steel capacity, vs, in the form

! Prof., Department of Civ. Engrg., Chulalongkorn Univ., Bangkok 10330, Thailand
? Former graduate student, Department. of Civ. Engrg., Chulalongkom Univ., Bangkok 10330, Thailand.
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of the parameter (vs f >3/ vy, *. Hwang and Scribner (1984) carried out experimental

investigations on the effect of load history on reinforced concrete cantilever beams. The
sequence of application of large and small deformations was found to have relatively
small effect on the strength and stiffness degradation, and total energy dissipation
capacity of the member. The most significant factor was the maximum displacement the
members experienced. A limited investigation by Wight and Sozen (1975) seemed to

suggest the same result.

Jt may be noted that most of the studies mentioned dealt with beams, with relatively
little work carnied out on columns. In the majority of studies on the cyclic behavior of
reinforced concrete tied columns, the material properties, the amount of confinement
steel and the effect of axial load level, are normally taken as the main parameters (e.g.
Soesianawati et al., 1986; Azizinamini et al., 1992; Watson et al., 1994, Wehbe et al.,
1999). The effect of tie configuration effectiveness has recently been considered by
Sheikh and Khoury {1997). However, no single standard load history has been employed,
and it is difficult to compare the performance of r.c. members tested by different
investigators using different load histories. Furthermore, constitutive relationships have
been normally assumed to be independent of load histotes. It was thus the primary
objective of this study to investigate the effect of load histories on the ductility and
energy indexes of r.c. tied columns under cyclic loading. A parameter which influences

the cyclic performance of r.c. tied columns was also identified.

PERFORMANCE EVALUATION

To evaluate the performance of columns on a rational basis, 1t is theoretically
preferable to resort to a common and systematic approach in determining the vanous
response parameters such as the yield displacement, the ultimate displacement, etc.
Following the procedures outlined by Sheikh and Khoury (1993), the envelope curve
(which results from the average of values in both directions) to hysteresis loop s first

constructed. The displacement ductility factor, g4, 1s defined as
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Ha = “ (1)

>

where A4, is the displacement reached when the capacity of the specimen dropped to 80%
of the peak value, which is considered as the failure load, and A4, is taken as the
displacement value attained at the peak lateral load, H__ , assuming an initial stiffness K;

as shown in Fig. 1.

In computation, the initial stiffness may be difficult to obtain accurately due to some
fluctuations in displacement data at small loads. Assuming that the initial response is
essentially elastic at a lateral load not exceeding 30 percent of the maximum capacity of
the specimen, the secant modulus at this load level was taken as a good approximation of

the initial stiffness for practical purposes.

The dissipated energy, E, is defined as the cumulative energy dissipated within each

cycle i, shown as the hatched area £; in Fig. 1. Thus
E=73 E, 2)

in which » is the number of cycles to failure. The normalized dissipated energy, Ey , is

_ !

E
NoH A

max Y

SE, ©

Rather than computing the dissipated energy, Gosain et al. {1977) proposed the

following work index as an alternative performance indicator

Ly = [(HA)/(H 8] )

where H; and A; are the maximum values of the lateral load and displacement in cycle i,

respectively, averaged in both directions. Eq. (4) was further simplified to
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N, = 2(4 /4,) )

which can be interpreted as the cumulative ductility ratio (Sheikh and Khoury,1993).

Effective confinement steel ratio

It has been pointed out that while the AClI Code provisions for the design of
confinement steel for high seismic risk regions are conservative for low axial loads, they
may not be sufficient for high levels of axial load. Watson and Park (1994) proposed a
design equation which accounts for the ductility performance in terms of curvature
ductility factor, u,, the influence of axial load level as well as material and dimensional
parameters. Sheikh and Khoury (1997) developed a procedure for the design of
confinement steel considering axial load level, tie configuration, and the expected
curvature ductility performance.

Based on the concept of Sheikh and Khoury, it i1s suggested that the effective
confinement steel, Ay (k.), for a targeted ductility demand, u, be given by the ACI

confinement steel, 4, 4cr, modified by the axial load and ductility level functions, i.e.
A (k) = Aswacr gua)¥, (6)

where k. is the confinement effectiveness coefficient normalized with respect to 0.75,

which is the upper bound value assumed by the ACI Code for the efficiency of rectilinear
ties in companison with that of closely-spaced spirals; g(14)is a nonlinear function of the
displacement ductility demand; and Y, is the axial load parameter given by (Sheikh and

Khoury, 1997)
Y, = 1+13(P/Py)’° (7)

in which P is the axial load, and P, is the ultimate load capacity.
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Several researchers have proposed different formulae to account for the non-uniformity
in confining pressure resulting from bending of ties under lateral pressure, which causes
reduction in confinement effectiveness. The simple empirical formula proposed by

Saatcioglu (1996) for the confinement effectiveness coefficient, k., was used in this

k, = 0.15 [g}{rbi} <1 (8)
S S\

where b, is the confined core dimension, center-to-center, of the perimeter hoop; s, is the

study:

spacing of ties; and s, is the spacing of the laterally supported longitudinal reinforcement.

Eq. { 6) can be rewritten as

Ha = flpa) ®

where f{p,) is a nonlinear function of the effective confinement steel ratio to be obtained
from a regression analysis of test results. The ‘effective confinement reinforcement

ratio’, oy , is defined as

Ash k;

(10)
Ash,AC!Y P

PA

This important parameter enables comparison of performance of column specimens
with different transverse reinforcements (including tie arrangements) and different axial

load levels.
Test Samples

Based on the number of test results available in the literature which needs to be large
enough for a regression analysis, and the availability of digitized hysteresis loops, the
number of test specimens that could be used in this study was only 17. The test samples

can be broadly grouped into two categories in accordance with displacement histories

(Fig. 2), viz.,
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History type 1 : increments of 14, with basically two cycles repeated for each
displacement increment
History type 2 : increments of 24, with basically two cycles repeated for each

displacement increment

Histories types 1(a) and 2(a) are the basic ones. The others differ from the basic
displacement histories in minor details. The extra third cycle at 64, for specimen B2
with History Type 1(b) was accompanied by a much reduction in the lateral load
capacity, and hence did not contribute to the energy computation. History Types 2(b)
and 2(c) include extra cycles at 14, which contributed less than 1% of the total energy.
Judging from the stable hysteresis loops, the first two cycles at ductility level 74, for
specimen B1 with History Type 2(c) were approximated as equivalent to one cycle of
84,, assuming that one complete cycle at ductility level 84, could have been attained if

the loading history had strictly followed the 24, increments.

Table 1 summarizes the details of test specimens whose results are used in the analyses.

The main parameters, besides the displacement histories, include :

a) material strength ratio f; / f» in the range of 0.060-0.136, where f, is the

concrete compressive strength and £, is the yield strength of the transverse steel;
b) shear span-to-depth ratio : 3.0 or larger;
¢) longitudinal reinforcement ratio : 1.51-2.45%;
d) transverse steel in the range of 29% - 236% of that specified in ACI code (1999);
¢) axial load level of 0.08-0.77 of the concrete gross section capacity;

f) tie configurations as shown in Fig. 3.

All column specimens were made of normal strength concrete with conventional hoops
and/ or ties, and all exhibited flexure mode of failure. The data on hysteresis loops were

obtained from the web site: www.ce. washington.edw~peeral.
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ANALYSIS OF RESULTS

Displacement ductility factor

The calculated values of the displacement ductility factor, ti4.., are tabulated in Table
2 and plotted in Fig. 4 as functions of the effective confinement reinforcement ratio, pa.
The values of ti4.q, reported (or implied) by the researchers are also included in Table
2. Tt may be observed that for load history Type 1, the discrepancy In p4cq and fig.xp 1S
in the range of 5.8-20.0%, which is acceptable. However, for load history Type 2, the
agreement became worse for some specimens. For instance, for specimen UNIT2 by
Soesianawati et al. (1986), the test result suggests a value of 40y 0f 6.0, much smaller
than the computed value of 9.0. To be capable of reaching a ductility factor of 9.0, the
specimen would have had to be able to sustain 10 (main) cycles {with adequate capacity)
rather than 6, which was actually sustained. Obviously it 1s doubtful if the specimen
could actually be able to develop a ductility of 9.0. Therefore, it was deemed more

appropriate to use the values of 4.+, as reported by the researchers for the load histories

Type 2.

The plot in Fig. 4 shows that the most of the data points for u,.. for Type 1 load
history are contained in a small band when they are plotted against pa, while those for

Type 2 load history are much more scattered. A second order curve fitting of Type 1

load history data points, yields
Haca = -12.86 pi+1554p,+1 (11)

with the goodness-of-fit index, Rz, equal to 0.33. It is assumed here that the
displacement ductility factor of 1.0 is attained for an un-confined section. The rather low
R? is to be expected because the parameter py reflects several factors including the
amount of transverse reinforcement, strength ratio, axial load level and tie configuration

effectiveness, the latter being difficult to quantify precisely.

One may note that the plot of 4., versus py (also shown in Fig. 4) agrees quite well

with that of g4.» except for larger values of p4 , where there are few data points.

157



Clearly more data arec definitely needed. As for Type 2 load history, no meaningful
curve {ilting is possible with the few sample points. Nevertheless, as expected, testing
with displacement increments of 24, seems to yield slightly higher ductility factor than

testing with 14, increments.

Energy Dissipation Capacity

The plots in Fig. 5 and Fig. 6 clearly indicate tendency for the normalized energy
dissipation capacity and cumulative ductility ratio to increase nonlinearly with the
effective confinement steel ratio. Results of second order curve fitting for the indexes
based on the computed values of A, (as explained earlier) are shown in the plots as solid
lines. Assuming zero energy dissipation for a specimen without transverse reinforcement,
which is a fairly good approximation, the equation of best fit, for displacement

increments of 14, is given by

Enea = 83.67p +49.58 ps (12)

and for the cumulative ductility ratio, the fitted curve is

Nicwr = 193.61p’ -59.77 p’, +20.33 (13)

with corresponding R” values of 0.83 and 0.59, respectively.

For comparison, the fitted curves for the indexes based on the experimental values of
4, are also given as the dashed lines. Again, due to the paucity of data, only sample
points for Type 2 load history are shown in the plots without any curve fitting performed.
The fitted curves for normalized energy dissipation capacity based on the experimental
and computed values of u, agree well, to within about 10% in the range of available data

points. The same is true for the cumulative ductility ratio.

The limited data seem to suggest that the loading history with increments of 24, is
somewhat more severe than that with 14, increments. For specimens with effective

confinement steel ratio less than about 0.40, the energy dissipation capacity for Type 2
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loading history may be smaller than that for Type 1 loading history by about 30% - 40%.
The fact that the reduced value of g results in an increase in the normalized energy
dissipation capacity was earlier reported by Darwin and Nmai (1986). However, at larger
values of py, e.g for highly confined columns, the effect of load history tends to be less
significant. Due to the scatter in the test results and the paucity of data points, it is
obvious that more tests are needed on highly confined specimens under small axial load

levels.

As would be expected, there is a close correlation between the work index and

cumulative ductility ratio as depicted in Fig. 7.

CONCLUSIONS

The following conclusions can be drawn:

1. For a given loading history, the displacement ductility factor, g4, and the
energy dissipation parameters were found to correlate with the effective confinement
reinforcement ratio. This 1s of practical significance in enabling prediction of
displacement ductility and energy dissipation capacity for a given column, taking into
account the effect of axial load and tie configuration effectiveness, among other basic
variables.

2. The ductility factor for loading history Type 2 (with increments of 24,) tends
to be somewhat higher than that for Type 1 (with 14, increments) for the same effective
confinement steel ratio. However, since the number of samples in the former case is
small, further study is needed.

3. The load history with 24, increments is slightly more severe than that with 14,
increments for moderate values of effective confinement steel ratio. The effect of load
history tends to be less significant at higher values of the effective confinement steel

ratio, pending further investigation.
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Table 1. Details of test specimens used in analyses

Concrete | ongitudinal Steel Lateral Steel Axial Shear J Load
Refi Speci A | Sirength Load fspan-to-d Tie |00 f
clerance pecimen m reng f P i A *h AJA Level epth | Config. 1story ¢
() | (Mpa) o "0 | AglAg aci Type
(Mpa) (%) (Mpa) PATAY) | ratio
(1 2) [€)] RS (5) (6} U (8) 9 ] 01 12) (13 104
Soesiamawatietal. | UNIT2 [oaso | 440 446 1.51 360 0 00601 055 .30 4.00 RO 2} | 0358
(1986) uniTs Joreo| aa0 446 1.51 364 000393 016 .30 400 RO 2ay | 054
Watson et al. UNITS 0160 410 474 1.51 372 000579 053 050 4.00 RO 12y | 057
(1994) UNIT 6 Q160 400 474 1.51 388 0.00273 029 0.50 4.00 RO 1(a} as2
UNIT 7 Q160 420 474 1.51 308 oorn 091 ¢70 4.00 RO 1(a) 0.53
unitg foaso| 390 474 1.51 372 0.00609 0.65 070 400 RO 1)) | 059
UNIT ¢ 0 160 400 474 1.51 308 002651 176 .70 4.00 RO 2(a) o7
Azizinamini et al. NC-2 Q209 393 439 I 94 454 001152 t 01 [3ed ] 3 RD1 1{a) 0.43
(1992) NC-4 0209 198 439 1 94 616 000650 0468 0.31 3.0 RDI 1(a) 0.42
Wehbe et al. Al A 448 222 455 000323 052 .08 183 RC ey | 0as
(1959) A2 o2 | 272 448 122 455 0.00323 0.60 0.24 181 RC Wa) | 046
B onz| 27 448 222 455 0.00428 073 0.09 283 RC 20 | 053
B2 0232 281 448 222 455 Q00423 0.77 023 383 RC 1B 0.53
Sheikh and Khoury AS-3 0.093 332 509 2.45 509 0.00844 | 44 0.60 483 RD2 Ita) [ 035
(1993) AS-17 0.093 34 509 2.45 509 0.00844 1.52 0.77 4.83 RD2 I{a) [ 035
AS-18 Q093 128 509 245 455 0.0150 236 077 4383 RD2 1{a) Q.36
AS-19 9093 123 509 245 486 0.00601 115 0.47 0.00 RD2 L{a) 0.35
Table 2. Summary of displacement ductility and energy indexes
Displacement Normalized Cumulative .
P . - - . Work index
Referance Specimen ductility dissipated energy ductility ratio
”‘A,“p H Acal EN.exp EN,cal NA,l:xp Nd,cal IW,exp [W,cxl
m (2) 3 (4) (5) (6) (7) (8 ® (10)
Soesianawat et al. UNIT 2 6.0 9.0 20.1 30.3 15.1 28.8 17.4 26.2
(1986) UNIT 3 5.8 8.6 11.8 174 12.7 t8.7 11.9 17.6
Watson et ai. UMIT § 5.7 5.4 30.7 293 30.2 28.9 27.7 26.5
(1994) UNIT 6 4.0 4.5 17.3 19.5 189 213 17.2 19.4
UNIT 7 32 3.2 13.4 13.1 10.4 10.2 9.7 9.5
UNIF 8 39 35 11.3 10.1 10.3 9.2 9.6 8.6
UNIT 9 9.1 7.3 61.5 49.5 41.0 33.0 38.3 30.8
Azizinamini et al. NC-2 7.1 6.7 68.1 64.2 63.8 60.5 56.4 53.2
(1992) NC-4 42 4.1 18.5 179 23.9 23.2 21.4 20.7
Wehbe et al. Al 5.3 4.6 22.2 19.3 23.7 20.6 21.2 18.5
(1999) A2 52 5.5 29.5 30.4 33.2 34.3 30.6 3.6
Bl 6.7 5.1 432 128 38.9 29.6 35.0 26.6
B2 6.1 5.6 52.0 450 53.3 46.2 49.0 42.4
Sheikh and Khoury AS-3 4.7 4.7 - - 23.0 230 -
(1993) AS-17 38 3.8 - - 24.0 24.0 - -
AS-18 6.7 6.7 - - 44.0 44,0 - -
AS-19 4.0 4.0 - - 18.0 18.0 -
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It has been generally accepted that steel moment-resisting frames behave in a ductile
manner under seismic excitations. However, during the 1994 Northridge earthquake,
weld fractures at the beam-to-column connections occurred in many steel buildings.
Such brittle failures obviously preclude the traditional ductile-behaviour assumption
and have a significant effect on the responses of stecl moment-resisting frames. In
this paper, the performance of a friction damping system for retrofitting steel
moment-resisting frames was investigated under long-distance earthquakes with
frequency contents resembling the 1985 Mexico city (SCT), the 1995 Bangkok, or
the 1977 Romania ground motions, all scaled to a peak ground acceleration of 0.17g.
Responses of the building under the 1940 El Centro N-§ component were also
included for comparison. The results of the study show that a friction damping
system can reduce the seismic responses significantly. The device can also prevent
the total collapse and joint failures of the building equipped with friction dampers,
while the one without dampers would collapse, even under a moderate peak ground
acceleration of only 0.17g.

Keywords: weld fractures; joint failures; beam-column joints; long-distance
earthquakes; friction dampers; energy ratio.

1. Introduction

As a result of the 1994 Northridge earthquake in California, many steel moment-resisting frames
were seriously damaged. Brittle weld fractures in beam-to-column connections occurred in
several steel structures. According to EERI [1997], two types of weld cracks can be
distinguished. First is a fracture near the interface of the beam and column flange. This common
fracture results in the severing of the beam flange from the column flange and passes through the
weld or through the adjacent heat-affected material. Another type is a fracture through the
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column. This type of fracture would be very dangerous if the crack extended all the way through
the column which would reduce its compressive capacity. These fractures can violate the ductile-
behaviour assumption of steel moment-resisting frames, which is usually presumed in an
analysis, and they had an important effect on the seismic response of steel structures during the
Northridge earthquake.

In recent decades, several analytical and experimental studies have led to the implementation
of friction damping systems in many structures for retrofit, e.g., Pall and Marsh [1982],
FitzGerald er al. |1989], Filiatrault and Cherry [1990], Grigorian et af. [1993], Pall A.S. and Pall
R. [1996], Reinhorn and Li [1996]. The effectiveness of friction dampers in seismic retrofit has
been widely recognized. However, most past studies did not consider the brittle weld fracture
behaviour of steel moment-resisting frames, which can reduce the performance of steel
structures. From the literature, it can be observed that there has been no research on retrofit of
steel structures using friction dampers and taking into account the weld-fracture phenomena
except the one by Filiatrault et al. [2001], which studied the performance of passive energy
dissipating systems for retrofit of steel moment-resisting frames considering weld fracture effect.
Those authors found that a friction damping system can significantly reduce responses of the
building; however, major damage or total collapse in some cases still occurred and connection
retrofit would still be required. The short duration, impulsive-type ground motions with average
peak ground acceleration about 1 g, which represented the near field ground motions, were used.
These findings, however, cannot be gencralized for systems subjected to moderate ground
motions induced by long-distance earthquakes, which may occur in many large cities in
moderate seismic risk regions, such as Bangkok and Singapore.

This study investigates the performance of a passive friction damping system for retrofitting
steel moment-resisting frames with weld fracture behaviour subjected to moderate ground
motions from distant earthquakes. The effectiveness of friction dampers in reducing damage in
structures is demonstrated through numerical examples obtained from nonlinear dynamic
analyses. Only weld fracture at the beam-to-column interface was modeled into the studied
building.

2. Building, Retrofit Scheme, and Model Assumptions

2.1. Building and retrofit scheme

The steel structure studied here is the same as considered by Filiatrault e af. [2001]. The
building is a 6-storey steel moment-resisting frame, rectangular in plan, and is braced by two
exterior moment-resisting frames. It is designed according to the 1994 UBC code requirements
for a building located in seismic zone 4 on soil type S2. Gravity loads acting on the frame during
the earthquake are assumed equal to 3.8 kPa from roof dead load, 4.5 kPa from floor dead load,
0.7 kPa from floor live load, and 1.7 kPa from weight of the exterior cladding. Steel grade A36
(nominal Fy = 248 MPa) is used for all members. Building details are shown in Fig. |. For
retrofit, chevron-brace members are introduced in the central bay of the two exterior moment-
resisting frames as shown in Fig. 1. The steel section HSS 12 x 12 x 5/8 (300 mm x 300 mm x 15
mm) is used for all chevron-brace elements. Friction dampers are incorporated at one end of all
bracing members.
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Fig. 1. Building and retrofit scheme

2.2. Model assumptions

Because of the symmetry of the studied building, only one exterior moment-resisting frame is
modeled as a 2-D structure into the general-purpose nonlinear dynamic analysis program
RUAUMOKO [Carr, 2000]. Floor slabs and architectural elements are excluded. The panel
zones of the beam-column joints are assumed to have no panel shear deformation and yielding
during strong excitations. This assumption represents the most critical condition for welded
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beam-column joints because the hysteretic energy can only be dissipated through plastic hinging
in the beams and the columns [Filiatrault es af., 2001]. The inelastic response is assumed to
concentrate in plastic hinges that could form at both ends of the frame members. Large
displacement effect is also considered in the analyses. P-A effect from interior columns is
included by introducing a pin-ended gravity column into the building model, which represents all
interior columns. Total gravity loads acting on the interior columns are applied to the gravity
column. Both the exterior frame and the gravity column are constrained to undergo the same
lateral displacement at each floor, which represents a rigid floor diaphragm assumption. Bi-linear
moment-curvature relation with a curvature-hardening ratio of 2% is assigned for all columns.

-
Q
o

W
w

% of Initial Strength

—

4.3 8.5 10.5
Curvature Ductility

Fig. 2. Flexural strength degradation model

The flexural strength degradation model shown in Fig. 2 is introduced at both ends of all
beams to account for the brittle behaviour of welded beam-to-column connections. Fracture
initiates at curvature ductility of 4.3, corresponding to plastic rotation of about 0.01 rad in all
beam sections of the studied structure, and the strength drops to 1% of the initial value at
curvature ductility larger than 10.5. The strength degradation factor used here is the same as
Filiatrault et al. [2001], which was obtained from a statistical review of different full-scale tests
on beam-column joints, and it is assumed to be independent in positive and negative bending.
Only fractures at the beam-to-column interfaces are considered. Then, an elasto-plastic moment-
curvature relation is specified for all beam elements to prevent an increase in the flexural
strength after fractures occur. Note that the connections are assumed to have no loss in shear
capacity when weld fractures occur. An elasto-plastic force-displacement relation is also
assigned for all friction-brace elements. The load at the yield plateau is specified by the slip load
of each damper. The fundamental vibration period of the original building is 1.304 sec and is
reduced to 0.649 sec after being retrofitted by the scheme described previously.

A mass proportional only damping model is adopted here because the rotational velocity at
beam-to-column interface can increase significantly after fracture occurs. The large rotational
velocity results in the increase in damping from the stiffness proportional portion of the global
damping matrix, and this can violate the equilibrium condition at beam-column joints after weld
fracture occurs [Filiatrault er al., 2001]. The mass-proportional damping coefficient is taken as
0.5 sec”'. The time step for nonlinear dynamic analyses is 0.0005 sec for all cases and a tolerance
of 1% in the residual force vector is imposed for Newton-Raphson iteration to track the sudden
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changes in stiffness due to joint fractures. Note that the slip loads of the friction dampers in the
2nd to 6th floors are 80% of slip load in the 1st floor. It is also assumed that the devices have
sufficient slip lengths, so that no impact can occur.

The concept of Coulomb friction was adopted here to describe the hysteretic behaviour of the
friction dampers, which can be formulated as:

Fg=uN (b

where Fjis a slip load of the damper, N is a normal force acting on the friction surface, and uis
a coefficient of friction. The friction devices will slip at a predetermined load exhibiting the well-
known rigid-plastic hysteretic behaviour,

3. Earthquake Ground Motions

Accelerograms and pseudo-acceleration response spectra at 5% damping of all studied
excitations are shown in Fig. 3. Three different long-distance earthquakes are considered here.
First is a well-known long-distance earthquake, the 1985 Mexico city (SCT, E-W component)
record. The SCT excitation was recorded on September 19, 1985 in Mexico city. The event’s
epicentral distance was about 400 km. It had a significantly narrow frequency band with a
predominant period of 2.0 sec and peak ground acceleration about 0.17 times the gravitational
acceleration (g). [t is also a long-duration strong ground shaking which can have a significant
effect on structures. To reduce the calculation time, only the 60-second range of the SCT record
containing the peak acceleration value will be used in analysis. Second is the scaled 1995
Bangkok excitation. It was recorded on July 12, 1995 at the basement level of the Baiyoke tower
whose fundamental vibration period is 2.5 sec. This event resulted from an earthquake whose
epicenter was about 900 km away from Bangkok. Its predominant period is about 2.3 sec and it
also contains other significantly longer and shorter period components. Its peak ground
acceleration was scaled to the same value of SCT record.

The last long-distance ground motion is the scaled 1977 Romania (Bucharest, N-S component)
earthquake. It was recorded on March 4, 1977 in the basemnent of the Research Institute building
in Bucharest, Romania. The epicentral distance was about 150 km. The event had a narrow
frequency band with a predominant period about 1.2 sec. Its peak ground acceleration was also
scaled to 0.17g. The studied building was, also subjected to the 1940 El Centro N-S component
excitation which had been used extensively in many past studies. This signal was considered
here for comparison purposes. Note also that the peak ground acceleration of the El Centro
earthquake is about 2 times that of the other three records.

4. Numerical Results

In this section, the responses of the building under all four excitations are compared. The
response parameters of interest are the peak interstory drifts, the number of yielded members and
joint fractures, and the energy input and dissipated. The variation of these parameters with the
slip load of the devices is investigated. The slip load of each device is varied between zerc and
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buckling strength of bracing member. Responses of the original building excluding weld fracture
behaviour are also shown for comparison.
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4.1. Peak interstory drift

The interstory drift can be an indicator for both structural and nonstructural damage. According
to the performance criteria defined by the NEHRP seismic rehabilitation guidelines [ATC, 2000]
for steel moment-resisting frames, maximum drift levels are 0.7% for immediate occupancy,
2.5% for life safety, and 5% for collapse prevention. Therefore, in this study, the 5% interstory
drift is used as the collapse criterion. Fig. 4 shows the variation of peak interstory drift in each
floor of the original structure neglected weld fracture effect. From the figure, the original
building can survive all four earthquakes considered. The maximum interstory drifts, which are
found in the first floor are 1.51%, 1.46%, and 0.81% resulting from the SCT, Romania, and El
Centro excitations, respectively, while the maximum interstory drift of 1.14% is found in the
second floor when the building is subjected to the Bangkok signal.

Fig. 5 shows the variation of peak interstory drift in each floor with the normalized slip load of
the structure including weld fracture effect. The siip load is normalized by the buckling strength
of the ground floor bracing element which equals to 3811 kN. The non-retrofitted building
including joint fracture collapses under all excitations which is indicated by a peak storey drift of
more than the 5% drift limit. Interestingly, even moderate long-distance earthquakes which have
a peak ground acceleration only about half of the El Centro record can lead to the total collapse
of the structure. This result indicates that weld fractures have a large effect on the performance
of the structure and they must be taken into account.
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Fig. 4. Variation of peak interstory drift of the non-retrofitted building
neglecting weld fracture effect
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For a retrofitted structure including the effect of weld fracture, the building survives the El
Centro earthquake at any slip load values, even under a very low normalized slip load of only
2.3%. However, it collapses under the SCT, Bangkok, and Romania ground motions as joint
fractures take place at normalized slip loads less than 20.7%, 25.6%, and 19.7% for SCT,
Bangkok, and Romania records, respectively. It is important to note that at a slip load close to
these critical values, damages increase very rapidly. It should also be noted that larger
earthquakes would require a higher critical slip load for collapse prevention. This is of practical
significance in selecting the slip load of a friction damper to be sufficiently larger than the
critical threshold values, and at the same time not too close to the buckling strength or the yield
strength of the connecting elements; otherwise, the friction devices may not be effective to
protect the structure. Past the threshold slip loads, responses of the buildings are sharply reduced.
Peak interstory drifts are kept below 1% in all cases, which indicate that the retrofitted structure
can survive all three long-distance excitations considered here. Note that there is an optimum slip
load value in the case of the building subjected to the El Centro excitation. The optimum
normalized slip load is 19.7% which is similar to the results obtained by Filiatrault et al. [2001].
On the other hand, for the three long-distance earthquakes, it seems that the performance of
building improves for increasing slip loads. This would be caused by the characteristics of these
studied accelerograms that have a frequency content concentrating in the low frequency zone.
When joint fractures take place, the building will lose its stiffness and the resonant effect can
occur. Then the additional stiffness induced by bracing system will play a more important role.
Therefore, at a large slip load value, the devices are more difficuit to slip. Then the building will
be stiff and will respond for a longer time in the low spectral value zone resulting in a better
performance.
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However, if the slip loads reach the buckling or yield strength of the bracing elements, the
performance of the system will decrease due to the buckling phenomena, or the failure of the

bracing members. Note that buckling of the bracing members at the normalized slip load of
100% is neglected in this study.
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Fig. 6. Variation of the percentage of the yielded members and joint fractures
with normalized slip load

4.2. Damage to the structure

Fig. 6 shows the percentage of yielded members and joint fractures for the original building
neglecting weld fracture and for the retrofitted structure including weld fracture at each slip load
value. For the numbers of yielded members, all members except the bracing elements and the
gravity column are counted corresponding to a total of 42 members. The numbers of joint
fractures are presented for each beam’s end resulting in a total of 36 joints. For the original
structure excluding weld fracture, the percentages of yielded members are 31%, 21.4%, 35.7%,
and 38.1% when subjected to SCT, Bangkok, Romania, and El Centro ground motions,
respectively. Although the building can survive all considered earthquakes, damages occur in
many structural members which can lead to a high repair cost. Retrofit would be required for this
structure.

For the retrofitted structure considering weld fracture characteristics, past the critical slip load
value, the friction devices can reduce damages significantly, At the normalized slip load larger
than 25%, 31.2%, and 54.2% when subjected to SCT, Bangkok, and Romania accelerograms,
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respectively, all structural elements remain elastic and no joint failures occur. Similarly, for the
retrofitted structure subjected to the El Centro record, the building remains elastic at the
normalized slip load between 9.2% and 19.7%. Under all long-distance excitations, the studied
building exhibits a sudden increase in damage at slip load less than the certain critical values
indicated by failures of all joints in the building. Selection of the device’s slip load would be
very important for the structure having a possibility of weld fracture.

4.3. Energy ratio

In this section, the amount of energy dissipated by means of friction dampers for all analyses are
presented. The results are shown in terms of the energy ratios, /NR and FDR, defined as follows:

E
INR = —1— (2)
VBYAY
E
FDR = (3)

FD
Var Ay
where INR is the seismic input energy ratio; FDR is the friction-damper dissipated energy ratio;
E; is the seismic input energy; Erp is the energy dissipated by all friction dampers; Vzy and Ay
are the yield base shear and the top-floor yield displacement of the braced structure without
dampers, respectively. Derivations of E; and Erp are given in Appendix A.

Fig. 7 shows a relation between base shear and top-floor displacement obtained from pushover
analysis of the braced building, without dampers, including weld fractures. The same bracing
system as in the previous numerical studies is employed. Lateral force distribution according to
the UBC 1997 code is adopted here. The values of lateral forces in each storey as fraction of base
shear are shown in Table 1. A monotonic increasing load is applied to the structure with linear
increment of 200 kN/sec until the ultimate load is reached. The same time step as used in the

previous numerical studies is chosen. From the analysis, the yield base shear is 6448 kN and the
yield top-floor displacement of the brace structure is 79.0 mm.

Table 1. Lateral force distribution factors as a fraction of base shear for braced structure

Storey level Height (m)  Waeight (kN) Distribution factor
6 22.536 1815.53 02123
5 20.726 2514.80 0.2484
4 16.916 2514.80 0.2028
3 13.106 2514.80 0.1571
2 9.296 2514.80 0.1114
1 5.486 2599.13 0.0680

i ———
o ———————

Note: Fundamental period of braced structure = 0.649 sec
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Figs. 8 to 11 show the variations of the energy ratios with the normalized slip load in the first
floor for building subjected to each excitation. The difference between the seismic input energy
ratio (/NVR) and the friction-damper dissipated energy ratio (FDR) indicates the amount of energy
dissipated by inherent damping and damage of the structure itself. It can also be considered as
the performance index for the added friction dampers. Again, past the critical slip load, friction
dampers can significantly reduce the energy fed to the primary structure. At the optimum points,
the devices can absorb 87%, 58%, 65%, and 80% of the seismic input energy resulting from
SCT, Bangkok, Romania, and El Centro signals, respectively. For El Centro, as expected, the
performance of the damper decreases with increasing slip loads. For long-distance earthquakes at
large values of slip load, the energy dissipated by the dampers vanishes indicating that the added

-dampers are not utilized. This is compensated by reduction of the seismic input energy because
at high values of slip load, the system behaves as a fully braced structure resulting in the shift of
a vibration period to the short period end of the response spectra which has low spectral values
as shown in Fig. 3.

From the results obtained, it seems that only the added stiffness from the braces is sufficient
for the building to resist the long-distance earthquakes considered. However, it should be noted
that the buckling phenomena of bracing members are neglected in this study. If both the brace
buckling and joint fractures occur, the stiffness of the system will sharply reduce and this could
lead to a total collapse of the whole structure. Hence, addition of friction dampers will have the
advantage of preventing buckling or damage to the bracing elements and give nearly equal or
better performance compared to the traditional bracing system.
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5. Conclusions

The performance of a friction damping system for retrofitting steel moment-resisting frames with
weld fracture behaviour was investigated under three long-distance earthquakes: the 1985
Mexico city (SCT), the scaled 1995 Bangkok, and the scaled 1977 Romania ground motions.
Responses of the building under the 1940 El Centro record were also shown for comparison
purposes. The following conclusions can be drawn from this study:

1. The original building with joint fracture effect neglected can survive all considered
excitations; however, retrofit would still be required.

2. The effect of weld fracture can lead to the collapse of the non-retrofitted structure under all
excitations considered, even under moderate long-distance earthquakes which have a peak
ground acceleration only about half of the El Centro accelerogram.

3. The building including joint fracture effect can survive all considered earthquakes with the
addition of friction dampers at a certain critical slip load value.

4, Tt is important to pay attention to selecting the damper slip load to be sufficiently far away
from the critical value and at the same time not too close to the buckling or yield strength of
the connecting members.

5. Addition of friction dampers will have the advantage of preventing buckling or damage to the
bracing elements and give nearly equal or better performance compared to the traditional
bracing system.
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Appendix A : Energy Formulation
Consider a multi-degree-of-freedom system equipped with friction dampers. Denoting u as the

vector of displacements relative to the base and ug(t) is the horizontal ground displacement at any
time t, the equations of motion can be written as:

Mii () + Cua(t) + Fy(t) + Fep(t) = - Megii (D) (A.1)
where M and C are the mass and damping matrices of the structure; F; is the vector of the
resisting forces provided by the main structure and Fgp is the vector of forces provided by the

friction dampers. e, is the displacement influence coefficient vector associated with a unit
support displacement defined as follows:

u(t) = u(t) + eguy(t) (A2)

where u((t) is the vector of total displacements.
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Integrating the equations of motion with respect to the relative displacement vector du over
the entire range of displacements, the energy equation can be obtained as follows:

[au"™™ii + du"Ci + [du'E + [au'E, = - [du"Me, G

Ey + ED+ES+EFD = E; (A3)

The right side of Eq. (A.3), Ey, is the relative seismic energy input to the structure. For the terms
on the left side, Ex is the kinetic energy of the mass associated with its motion relative to the
ground; Ep 15 the energy dissipated by the inherent damping of the main structure; Eg is the total
strain energy caused by deformations of the main structural elements and Egp is the total energy
dissipated by the added friction dampers. Based on these energy quantities, Eq. (A.3) is a
statement of energy balance for the system.
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active mass damper
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Abstract:

A semi-active mass damper (SAMD) in which its damping can be varied is
proposed to control the vibration of the structures under harmonic excitation. The
objective is to produce a control system that provides a significant improvement over the
conventional passive mass damper (TMD), but without the substantial penalties in cost,
weight, and complexity as active damper. An optimal control law is formulated. A
situation in which the damper can not vary beyond the certain range is also taken into
account. The peak and steady-state amplitude responses are investigated in frequency
domain. The obtained results are compared with those of TMD and it is found that the
proposed SAMD can significantly reduce the peak response and also effectively suppress
the steady-state response for broader band of excitation frequencies. The latter
improvement is equivalent to the addition of mass about 300% on TMD.

Introduction

Structural vibration control has been one of the primary issues for some years. Active
control is very efficient, but its implementation is very limited due to various mechanical
and economical constraints. From this point of view, semi-active control is a promising
alternative since it requires much less energy and it can potentially more efficient than
passive control.

Karnopp, et. al. (1974) proposed the semi-active damping concept by using a variable
damping device to generate the control force for vibration isolation. This semi-active
control has been extensively studied in the field of automotive suspension control. To
date, it has been successfully applied to a board class of vehicle vibration isolation
problems ranging from military tanks to high-speed cars. An extension of the semi-active
damping concept to structural control is found in the study of Hrovat, et. al. (1983). A
TMD with an augmented variable damping device was proposed as a semi-active TMD
for vibration control. Based on the numerical results of vibration control of a building
subjected to a specific wind loading, the similar steady-state performance of semi-active
TMD and active TMD was reported. However, there was no explicit study on the control
performance of semi-active mass damper under harmonic excitation which is the
common case in structural or mechanical control.
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Optimal Semi-active Mass Damper

General Soluwion
SAMD
" A model representing a structure attached by the semi-active
mass damper is shown in figure 1. This model can be
expressed as a bilinear system in which the equations of
motion are written in the following state-space description
as

(1) = Ax(©) + B(x"(OT)v() = Ax® +Bu,, () (1)

where x(1) is a state vector, A is a characteristic matrix, B is
a control contribution matrix, T is a transformation matrix, v
777N e (1) is an adjustable parameter vector, and e, {t) = x ()Tv(t)
is a semi-active control force produced by the variation of v
Figure 1. Structure-SAMD  (t). The objective is to find the parametric control v(t) that
minimizes the well-known quadratic performance index

system

Jom = [l OQx@ +ul,, O Ru,,, O}t @

G
subjected to the dynamic constraint, Eq.(1).

As obtained in the determination of optimal semi-active vehicle suspension system
(Tseng and Hedrick 1994), it is convenient to first consider the optimal solution for fully-
active system case. Then the corresponding semi-active optimal solution is determined by
minimizing the variation of performance index which is deviated from its reference
optimum due to the introduction of semi-active system. It is, therefore, helpful to relate
the performance index of general semi-active system to that of the reference active system
as

Jrnt = e+ [ @~ 0, OF Rt 0w, )] 3)

where Jycme is a constant function of initial state and u,y, is the optimal control force of
the reference active system. Instead of directly minimizing the whole integration, the
control law is obtained by minimizing the instantaneous error resulted from the difference
(Wgemi{)-ugpAt)). This leads to the minimization of the function

L (t) Z(l.l semi (t) W, (t))Z (4)

By equating the reaction forces of semi-active system with active systein, the semi-active
control force can be written as

U, (0 =ug,,, () =-(c(t)-¢,)z(t) ()
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where now ug,,,; becomes a scalar function, u,,. z(t) = relative displacement across the
variable damper, and ¢p = constant optimal passive damping.

Inequality Constraint on Damper Paramelter

It is assumed that the variable damping coefficient ¢(t) can be varied in a range,
Cmin < C(t) < Cmax (6)

To find the optimal variation of damping coefficient which minimizes the performance
measure Eq.(3) subjected to the inequality constraints Eq.(6), we define the Lagrangian
(Bryson and Ho 1975)

H{e(, 41, 4,) = § L{e(®,8) + 2 £,(c0) + 2, 1, (c(t) (7)
where f,(c() = c(t)—c,,, <0 and £ (c(t) = ¢y, —c(t) € 0 are the imposed inequality

max —
constraints and A}, A; > 0 are the Lagrange multipliers.
The necessary condition for a minimum becomes

éH . | a, g,
- =g — - = 0
By substituting Eq.(5) into Eq.(4) and then into Eq.(8), we get
- t
/1? ;11 N ufi,,,( ),
Z(t) z(t)

More precisely, we have an optimal variation of damping as

Copt (= S 9)

Conax > ife,(t) 2 c,,,
copr (t) = cd (t) E] lf cmin = Cd (t) < cmax (10)
c ife,(t) <c,., '

min ?

where c (O=u,, (/2 +c, for z(t)=20 (1D

2
and the sufficient conditions for minimum is ensured by Eq.(8) and 27 - (z'(t))2 0.

Vibration Control of a Single-degree-of-freedom System

Problem Formulation and System Properties

In the following numerical examples, a SAMD is employed to reduce the vibration of the
main structure which is model by a SDOF system subjected to an harmonic excitation F
(t) as shown in figure 2. The equations govern the vibration of the system are

(my +m,) £, + 6, 5O +k 1,0 = FO)—m, 20) (12)

and m, Z(t) + ¢, (DZ(1) + &, z(t)=— m, X, (1) (13)
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Figure 2. Structure-SAMD Model

Table 1. System Properties

where the time-dependent damping of the SAMD,
¢(t) is computed according to the control law
derived in previous section.

Throughout the simulations, the main structure is
assumed to have the natural frequency of 3.0 Hz
and the damping ratio of 2.0 %. While the mass
dampers are assumed to have the mass ratio of 3.0
%. The passive parameters of the TMD are
optimized according to the excitation (Den Hartog
1956). Table (1) lists all the values of the system
properties, which are used for the numerical
model.

(i) main structure my=1kg
.|k
W, =
m,
(i) SAMD my = 0.03 kg
ky = 10.05 N/m

ky=35530N/m & =2.00%

= 18.85 rad/s (/i = 3.0 Hz)

Comin = 0, Camax = 3.403 N-s/m (& = 300%)

Response under Harmonic Excitation

It is known that for a nonlinear system the response magnification factor may depend on
the excitation or the system response may not be even periodic. Nevertheless, it is
demonstrated that (1) the response of the egs.(12) and (13) to periodic excitation is

0'02 T 1 T T ! T L] T l l T T

4

0.015|- peak. L
0.01
0.005

0
-0.005
-0.01

Disp. of Structure (m)

-0.015 X -.\

-0,02 1 I 1 i I 1 I i 1

‘l T ] T ITMD’ 1 T T T

i { 1 [

o 1

3 4 5 Time (s)

Figure 3. Typical Harmonic Responses under TMD and

QAN
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periodic with the same period as excitation, and (2) the amplitude ratio is independent of
excitation amplitude (Hac and Youn 1992). Therefore the following comparison of the
control performance in frequency domain 1s meaningful.

Figure (3) shows the typical time histories of the structure subjected to harmonic
excitation under TMD and SAMD. Assuming that the system starts from rest, the steady-
state amplitude and the peak amplitude are defined as shown in this figure for SAMD
case.

{a) Steady-state Amplitude {b) Peak Amplitude

0.02 T . — 0.02 T — I
; ' TMD 4 TMD
sereeeees ATMOD | oo ATMO
. X = SAMD { =  SAMD
; ,:. ]
Il -
— 0015 L — 0015
£ ! ' i £ L
b hwlo Damg_ ! ; - " .
.‘é -J é . -
Qo 1 = -
3 A E 4
& b a / .
- 001+ ‘s — 001 v
[ o .
5 . @ .
E A0 = e .
@ - L . . [
'5Y s (%] teal r
o e e o b
@ o00s = & ooos
0 . =}
0 PR T W | S T | U T T T [N S W T | [ 1 P N Y [T B T I
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Excitation Frequency (Hz) Excitation Frequency {Hz)

Figure 4. Frequency Responses (a) Steady-state Amplitude and (b) Peak Amplitude

Figure (4a) plots the steady-state amplitudes of the structure controlled with TMD,
ATMD, and SAMD, within the frequency range of 2.0-4.0 Hz. The figure indicates that
significant improvement of steady-state amplitude reduction of the structure, comparing
to TMD, can be achieved via SAMD. Beside the amplitude reduction, the figure also
reveals that SAMD has broader frequency band of suppression. More precisely, the
suppression band of SAMD becomes about 2 times broader than that of TMD. This is
equivalent to the increasing of mass of TMD by 300 percents. Figure (4b) plots the peak
amplitudes of the structure within the same frequency range. It is found that SAMD
markedly improves the peak amplitude response of structure over TMD case especially
around the resonant frequency. It is clearly from these two figures that, in both cases,
ATMD exhibits highest control performance. However, its implementation is known to
be very costly.
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Conclusion

An optimal control law which minimizes the quadratic performance index for a semi-
active mass damper is formulated and applied to control the vibration of SDOFF-structure.
Through the computer simulation, the control performance of the semi-active mass
damper is studied and compared with that of TMD under harmonic excitation. The
obtained results reveal that the proposed SAMD can significantly reduce the peak
response and also effectively suppress the steady-state response for broader band of
excitation frequencies. In particular, the latter improvement is equivalent to the addition
of mass about 300% on TMD. This is often unfeasible for passive system
implementation.

Generally, simulation results indicate that the semi-active mass damper which is usually
cheaper than the active damper system offers a substantially better performance than the
passive TMD. Consequently, it represents a very attractive alternative for vibration
control of structures subjected to harmonic-liked disturbances.
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